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ABSTRACT 
 
A new cold-formed steel building system was developed recently that has no conventional frames, 
purlins or girts. As it uses a new structural system, the load paths and the structural behaviour are 
unknown. Therefore a series of non-destructive and destructive full scale tests of a 5.4 m x 5.4 m x 2.3 
m steel building was conducted under simulated wind uplift and racking loads. The test results showed 
that in its present state, this new building system needs modification for its intended purpose. The 
structural behaviour of the test building was also investigated using finite element analyses. Based on 
these full sale tests and finite element analyses, suitable structural improvements were proposed to the 
new building system. This paper presents the essential details of the full scale tests and finite element 
analyses of this innovative cold-formed steel building system and the important results of this research 
including the details of an improved building system. 
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 1. INTRODUCTION 
 
Cold-formed steel structures have been in service for many years and are used as shelters for both 
domestic and industrial purposes. To produce an economic building product, manufacturers have 
typically based their designs on the simple portal frame concept (Darcy and Mahendran, 2000). As 
there is almost a direct relationship between the overall cost and the weight of steel in a portal frame 
structure, it is of great importance to provide a structure with the minimum amount of steel whilst 
providing structural adequacy.  Portal frame sheds have been refined continuously for many years with 
only minimal amounts of savings in steel.  Therefore to provide even greater saving in steel, an 
innovative building system is required.  In light of this knowledge, an Australian shed manufacturer 
developed an innovative building system, but detailed research was required to verify its structural 
adequacy.  The new building system has two key differences to that of the conventional portal frame 
structure.  These differences are that the structure has no conventional frames or framing system, and it 
has no purlins or girts.  This results in the structure being essentially fabricated from thin steel sheet 
cladding, which significantly reduces the amount of steel.  However, the key problem with this 
structure is that the load paths and the structural behaviour are unknown, and therefore the structure 
cannot be analysed using conventional methods. Therefore, to determine the adequacy of this structure, 
a series of non-destructive and destructive full-scale tests of a 5.4 m x 5.4 m x 2.3 m steel building was 
conducted under simulated wind uplift and racking loads. The structural behaviour of the test building 
was also investigated using finite element analyses. Based on these results, a structural assessment of 
the new building system was made and suitable modifications were recommended to this innovative 
building so that it can be used in the domestic market.  This paper presents the essential details of the 
proposed cold-formed steel building system, the full-scale tests and the finite element analyses, and the 
important results including the details of an improved building system. 
 
 
2. TEST STRUCTURE BASED ON THE NEW BUILDING SYSTEM 
 
Figure 1 shows an overall view of this innovative ‘Frameless’ cold-formed steel building.  The test 
structure used in this research to investigate the structural behaviour of the new cold-formed steel 
building system has representative dimensions of a typical domestic sized portal frame shed (two cars 
wide by one car deep).  It has a span of 5440 mm, a length of 5440 mm, an eaves height of 2300 mm 
and a 10o roof pitch.   
 
 
Figure 1:   ‘Frameless’ Test Structure 
 
 
 
 
               (a) Sheeting panel                                                         (b) Bracket  
 
Figure 2:   Sheeting Panel and Bracket  
 
The cladding used is manufactured from cold-formed 0.42 BMT G550 steel sheeting (minimum yield 
stress of 550 MPa).  The cladding has a custom profile which makes up both the roof and the wall 
panels, and is shown in Figure 2 (a). The ribs of the panels have a height and a width of 68 mm and 34 
mm, respectively, and the pan has a width of 620 mm. The ribs of these panels are overlapped to 
produce the desired length of the structure. The ribbed sections of the structure have twice the material 
thickness of the pans as a result of the overlapping.  One bolt in the centre of the ribbed section is used 
to hold the overlapped ribbed section together. The test structure had eight panels in length and eight 
panels in width.  Hence the wall panels have a length of 2300 mm while the roof panels have a length 
68 mm 
34 mm 
620 mm 
Pan
                Rib 
10 mm            40 mm 
68mm
34mm
30mm 
of 3060 mm (2760 mm roof length and 300 mm overhang). The rear end wall panels are cut at an 
angle of 10° with an appropriate length to follow the roof height. In general the sheeting can be 
produced in varying lengths to change the height and span of the structure. 
 
The roof and wall panels are connected together with the moment resisting brackets at the base as well 
as the knee and the apex of the structure. The profile of these brackets is shown in Figure 2 (b). The 
brackets are manufactured from a 1.5 mm thick grade G450 steel and to accommodate the wall and 
roof panels, they also have a rib height and a width of 68 mm and 34 mm, respectively, and a bottom 
flange width of 30 mm. The base bracket has a length of 320 mm, whereas the knee and apex brackets 
have lengths of 220 mm and 120 mm, respectively measured from the centre of the brackets. The 
brackets slot within the ribs of the panels and are bolted with six bolts on each half of the knee and 
apex brackets, and six bolts in total for the base connection. All of these connections are bolted using 
1/4 combination roof bolt/nuts with a mushroom head. No washers or spring washers are used. To 
achieve a fixed base connection, the base brackets are cast into the concrete slab. Details of the base, 
the knee and the apex connections are shown in Figures 3 (a), (b) and (c), respectively. 
 
    
 
 (a) Base connection         (b) Knee connection  (c) Apex connection 
Figure 3:   Connection Details 
 
Cold-formed channel sections have also been used to connect the rear wall panels to the roof panels 
and within the front gable end wall. For the rear wall, the channel section was bolted to the rear knee 
and apex brackets on both the left and right half of the test structure. The rear gable end wall panels 
were then screwed to the channel section using Tek screws. Figure 4 (a) shows the arrangement of the 
channel section in the rear end wall.  
 
 
            
   
   (a) Rear wall    (b) Front wall 
Figure 4: Front and Rear Walls 
 
The construction of the front gable end wall of the test structure was more complex than the rear gable 
end wall. This extra complexity was due to the fact the front gable wall of the test structure needs to 
accommodate two roller doors for vehicle access. The main structural components of the front gable 
wall were one central mullion and two corner mullions which spanned from the apex bracket and the 
knee brackets to the permanent formwork of the structure, respectively. They were connected by Tek 
screws. To construct the gable of the front gable end wall, cold-formed channel sections were used to 
span between the corner and the central mullion. Figure 4 (b) shows the front gable wall from inside 
the test structure as well as the central mullion and the channel section beams. 
   
One of the innovative features of the new building system is its use of permanent formwork.  
Permanent formwork provides many benefits in comparison to traditional formwork. Some of the 
benefits include quicker construction of formwork, and more accurate positioning of base brackets.  
The formwork of the test structure is constructed from two simple cold-formed channel sections that 
are Tek screwed together as shown in Figure 5. The main feature to note with regards to the permanent 
formwork is the use of prefabricated slots that has a slightly larger profile than that of the base brackets 
at 680 mm centres so that correct positioning of the base brackets is quickly achieved. Figure 5 shows 
the formwork with the base brackets inserted. 
 
 
       
 
Figure 5:   Formwork 
 
To make sure that the roof panels at the ridge of the test structure did not pull apart under loading, 25 
mm x 2 mm x 630 mm metal strips were used to bolt together the lips of the roof panels. Two bolts 
were used at approximately 250 mm from both the apex brackets to attach the two roof panels 
together.  The metal strips were then additionally bolted at the connecting apex brackets.  
 
It is worth noting that the test structure has no cross bracing.  Typical portal frame structures have 
always included cross bracing to transfer the longitudinal wind loads on a structure to the foundations.  
Exclusion of cross bracing results in biaxial bending of the portal frame and is generally considered 
undesirable and thus avoided.  Therefore the exclusion of cross bracing in the test structure may not be 
desirable, and may complicate the load paths and the behaviour of the structure. 
 
 
3. FULL SCALE TESTS 
 
Wind and live loads were simulated by using 23 pneumatic actuators in conjunction with a moderately 
complex load distribution system as shown in Figure 1. Each actuator was attached to a load 
distribution system that consisted of a main spreader beam, two secondary spreader beams and four 
tertiary spreader beams as shown in Figure 6 (a).  At the end of the tertiary spreader beam, there was a 
300 mm x 300 mm loading plate to apply pressure to the cladding of the structure.  To eliminate any 
unwanted local buckling and stress concentrations, a 50 mm high density foam was placed between the 
loading plate and the cladding.  Each load distribution system had eight loading points.  This loading 
system provided 64 vertical loading points for the live load, 64 vertical and 108 lateral loading points 
for the cross wind and longitudinal wind load cases. Figures 6 (b) and (c) show the multiple point 
loads and the side loading system, respectively. 
      
 
(a) Loading system         (b) Multiple loading points       (c) Side loading 
 
Figure 6: Loading Arrangement 
 
Table 1:  Test Pressures in kPa 
 
Position Live Load Crosswind Load Longitudinal wind Load 
Windward Wall 0 0.70 0.70 
Windward Roof 0.38 0.64 0.90 
Leeward Roof 0.38 0.50 0.50 
Leeward Wall 0 0.30 0.50 
Side Wall 0–2720mm 0 0.65 0.65 
Side Wall 2720-5440mm 0 0.50 0.50 
 
The full scale test program included a series of non-destructive tests followed by a destructive test.  All 
of the applied loads to the test structure were determined in accordance with AS 1170 (SA, 1989). For 
the non-destructive tests, live load, cross wind and longitudinal wind loads were applied. A cross wind 
load was used in the destructive test. A design load based on an ultimate wind speed of 41 m/s was 
applied to the test structure for the wind load cases. The applied pressures for each load case are given 
in Table 1. AS/NZS 4600 Section 6.2 (SA, 2005) also requires that an amplification factor be applied 
to allow for both material and manufacturing variation in the test structure. For this first series of cross 
wind and longitudinal wind load tests, this factor was not applied although it was applied to the live 
load case. 
 
3.1 Test Measurements 
 
To calculate the bending moments in the brackets of the test structure, strain gauges were used to 
record the strains at the top and bottom flanges of the base, and the knee and apex brackets of Frames 
3, 5 and 7 as shown in Figure 7. Strain gauges were also used at the overlapped ribbed sections of the 
cladding at approximately 100 mm from the top of the left base bracket and 100 mm from the bottom 
of the left knee bracket (Frame 5 cladding) in order to investigate the transfer of moments from the 
base and knee brackets to the wall panels. To investigate the transfer of moments from the left knee 
and the left base connections to the cladding panels, additional strain gauges were also used at 
approximately 50 mm from the end of these brackets. It should be noted that strain gauges were used 
on both sides of the ribs and flanges so that both membrane and flexural strains could be calculated. 
Vertical deflections were recorded using displacement transducers at Frames 3, 5 and 7 apex brackets 
while horizontal deflections were recorded at the right knee brackets of Frames 3 and 5, and at the left 
knee of Frame 5. 
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Frame 5 
Frame 7 
Vertical 
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Frame 5 
Cladding 
 
   
Figure 7:   Location of Strain Gauges and Displacement Transducers 
 
3.2 Test Results 
 
Bending moments were calculated for the base, knee and apex brackets of Frames 3, 5 and 7, however, 
only the results for Frame 5 are presented in this paper. During the cross wind load tests, failure 
occurred at the cladding to left knee bracket connections of Frame 5 and the two adjacent knee 
brackets. These failures were a result of the interaction between the high compressive strains in the top 
flange of the rib and the tensile bolt force.  To avoid further failures, the test structure was repaired and 
only loaded to 60% of the design wind loads given in the last section. As a result, only loads up to 60% 
of the original cross wind load were recorded and analysed. This is an equivalent resultant design load 
for an ultimate wind speed of 31m/s. 
 
The full-scale tests for all the load cases (live load, cross wind and longitudinal wind) showed that the 
experimental bending moments for the base, knee and apex brackets, and all associated structural 
deflections typically follow a linear trend. Due to the extremely large amount of data recorded, only 
the maximum bending moment and the deflection results are shown in this paper. Experimental 
bending moments at the left base, left knee, apex, right knee and right base for the crosswind load case 
were calculated, and they are presented in Figure 8 (a). These calculated moments are plotted against 
the results obtained from 2-Dimensional and 3-Dimensional structural analyses using a general 
purpose structural analysis program, SpaceGass. It is shown that the calculated moments agree closely 
with the SpaceGass moments with the exception of the right base connection although both models are 
based on the assumptions of frame action and fixed base connections. It is also found that the 
experimental results follow more closely the 3-dimensional SpaceGass results.  From these results, it 
may be concluded that (i) for this load case the structure is transferring the applied in-plane loads by 
way of frame action to the foundations, and (ii) the base connections are fixed. From the closer 
agreement of the experimental results to that of the 3-dimensional SpaceGass results, it may also be 
concluded that certain amount of diaphragm action is present in the test structure for the crosswind 
load case. 
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   (a)       (b) 
Figure 8:  Bending Moment and Deflection Results from Cross Wind Load Test 
Deflections for the cross wind load case are presented in Figure 8 (b) in which the wind load was from 
the left hand side of the structure. The experimental deflections are compared with both 2-dimensional 
and 3-dimensional SpaceGass analysis results. It is clearly shown that the idealised SpaceGass models 
do not predict the structural deflections accurately. The 2-dimensional SpaceGass model overestimates 
the sway of the structure whereas the 3-dimensional SpaceGass models simulate more accurately the 
sway. This is a result of the inclusion of the cladding panels in these models, which also indicates that 
diaphragm action is present in this load case (Davies and Bryan, 1982). Another interesting finding 
from the deflection results is that the right knee bracket does not sway to the right as shown in Figure 8 
(b), in which a positive value indicates a sway to the right while a negative value to the left. This is due 
to the extremely large apex deflection pulling the right knee bracket towards the centre of the structure, 
resulting in a displacement to the left. 
 
Experimental bending moments of the cladding panel which spans between the left base and the left 
knee brackets were calculated at two points: the first point was at approximately 100 mm below the 
end of the left knee (Cladding Top), and the other at approximately 100 mm above the left base 
bracket (Cladding Bottom). As the cladding panels were overlapped at these points, strain gauges were 
used on both cladding panels to determine the bending moment in each panel.  The calculated 
experimental moments were then added to find the total bending moment at each point. Figure 9 (a) 
shows the bending moments at the left base bracket, the bottom cladding, the top cladding and at the 
left knee bracket of Frame 5. This figure shows that a negative moment at the left knee is transferred 
into the ribbed sections of the cladding panels where the moment reverses to a positive moment. It is 
then transferred from the bottom of the ribbed section of the cladding panel into the base bracket.  This 
reversal in moment is similar to that which occurs in a typical column of a frame subjected to sway 
conditions, and this indicates that frame action is present in the test structure. 
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   (a)       (b) 
Figure 9:  Cladding Results of the Windward Wall 
 To determine whether the overlapped ribbed section of the cladding panel behaved as two individual 
panels or as one composite panel, the bending moments were calculated using simple bending theory.  
A neutral axis and a second moment of area were calculated on the assumption that the overlapped 
ribbed section of the cladding was one piece with an effective thickness of twice the material 
thickness, ie. 0.84 mm, and on the assumption that the cladding acted as the addition of two separate 
cladding panels. These moments were then compared with the experimental bending moments, and 
they are shown in Figure 9 (b). The figure shows that the assumption of the overlapped section acting 
as two individual panels match closely the experimental moments, thus it is concluded that the 
overlapped ribbed section of the cladding panels do not act compositely. 
 
3.3 Other Test Observations 
 
Throughout the initial load tests, a number of visual observations were also noted.  The most critical 
one was the failure of the cladding at the left knee brackets at the central three ‘frames’ as shown in 
Figure 10 (a).  This failure was a sudden failure that occurred after a number of test loads. This failure 
occurred around the lower bolted connection on the rib of the knee brackets, and the cladding at this 
bolted connection buckled inwards with a rotation of the knee brackets.  
 
       
 
  (a) Cladding failure       (b) Large pan deflections and local buckling of ribs 
 
Figure 10: Cladding Failure and Local Buckling of Ribs 
 
Moreover, strain data recorded on the cladding at 100 mm below this bolted connection on a previous 
test showed that the maximum strain reached –2300 micro strain (460 MPa compressive stress). As it 
was expected that the magnitude of the strain would be greater at the position of the bolted connection, 
there was no surprise that the test structure eventually failed at this location. This failure demonstrated 
that the cladding thickness of 0.42 BMT was not sufficient to resist the required design load. Therefore 
an increased cladding thickness may be required before this structure can adequately withstand the 
design load. 
 
Problems of a global nature were also observed as shown in Figure 10 (b).  The ‘pans’ of the panels in 
the structure suffered large deflections while the ‘ribs’ of the structure suffered from local buckling.  
Buckling was also observed in the wall pans of the structure. These observations also demonstrated the 
need to increase the cladding thickness and/or to improve the structural arrangement.  
 
3.4 Destructive Test Results 
 
In the destructive test a cross wind load case was used to load the test structure from the right hand 
side of the structure. A load step of 10% of the design wind pressure corresponding to a wind speed of 
41 m/s was applied. The maximum applied load was 1.4 times the design load. However, as the 
actuators ran out of travel before the maximum applied load, the bending moments and deflections at 
that load level are not accurate, and therefore only the results up to 1.3 times the design load are 
discussed. 
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(a) Vertical apex deflection          (b) Horizontal knee deflection 
 
Figure 11: Deflections of the Test Structure at Critical Locations 
 
It was found that the vertical apex deflections followed a linear trend up to 1.4 times the design load as 
shown in Figure 11 (a). The maximum deflection of 275.8 mm at 1.3 times the design load was found 
in the apex of the 5th frame. At the serviceability load level, ie. 0.4 times the ultimate design load, the 
maximum vertical deflection was 69.7 mm. This results in a span to deflection ratio of approximately 
span/80, which is three times greater than the suggested limit of span/250 (SA, 1998). These 
deflections are extremely large and are unlikely to be deemed acceptable by engineering standards. 
The vertical deflections of the 3rd and 7th frames were approximately 75% of that of the 5th frame. This 
reduction in deflection is the result of the stiffness provided by the end gable walls, showing that 
certain amount of diaphragm action is provided. The results also showed that the vertical deflections of 
the 7th frame were approximately 3% greater than that of the 3rd frame, indicating that the rear gable 
end wall was not as stiff as the front gable wall. 
 
The horizontal deflections of the 5th frame showed that there was a linear trend up to the load level of 
0.5 times the design load as shown in Figure 11 (b). Beyond this level a number of drops in the rate of 
deflection occurred as a result of many failures. The maximum horizontal deflection was 31.7 mm at 
the right knee bracket of the 5th frame. At the serviceability load level, the maximum horizontal 
deflection was 11.6 mm. This relates to a height to deflection ratio of approximately height/200, which 
is less than the limit of height/150 (SA, 1998). There was a linear trend for the left knee bracket of the 
5th frame up to the load level of 0.6 times the design load, where the displacement transducer ran out of 
travel. The experimental deflections were compared with the deflections from a 2-dimensional 
SpaceGass analysis model. This comparison showed that the theoretical model was too stiff and was 
unable to accurately simulate the deflection behaviour of the test structure. 
 
Bending moments were calculated at the base, knee and apex connections for the 3rd, 5th and 7th frames 
as shown in Figure 12. The destructive test results showed that for the right and left base brackets the 
bending moments followed a linear trend up to 1.2 times the design load. This confirmed that the base 
connections in the test structure might be considered effectively as fixed. After this load level, it was 
shown that the rate of increase in the bending moment was reduced.  This was likely to be due to load 
shedding into other frames of the test structure. The maximum moment in the base bracket was found 
to be 1.33 kNm in the right base of Frame 5. This moment was 47% of the moment capacity of the 
base brackets calculated using simple elastic theory, ie. 2.86 kNm under no axial load. This shows that 
the base brackets have higher moment capacities than what is required. As a result, a thinner material 
thickness for the base brackets can be considered. From the strain readings on the base brackets, it was 
calculated that a G350 steel sheet with a thickness of 1.5 mm may be considered for the base brackets. 
This calculation also assumed a value of 1.46 for the factor kc specified in Section 6 of AS/NZS 4600 
(SA, 2005). It was also shown that the bending moments at the base connections of the 3rd and 7th 
frames were less than that of the 5th frame due to additional restraint provided by the gable end walls, 
showing that diaphragm action was present. 
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(a) Right Base Bracket     (b) Right Knee Bracket 
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      (c) Apex Bracket 
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  (d) Left Knee Bracket     (e) Left Base Bracket 
 
Figure 12: Bending Moments in the Test Structure at Critical Locations 
 
 
 
     
 
Figure 13: Critical Local Failures at the Right Knee to Cladding Connection 
 
Due to strain gauge failures at the right knee brackets, the bending moments could not be calculated 
beyond 80% of the design load for the 3rd and 7th frames. However, up to this load step, the recorded 
moments of the right knee brackets exhibited a linear trend. In the 5th frame, a maximum moment of -
0.72 kNm was achieved at 90% of the design load before decreasing due to a cladding failure at the 
bracket as shown in Figure 13. This decrease in the bending moment due to the cladding failure clearly 
showed that the cladding thickness was not sufficient for the design load. The bending moments of the 
left knee bracket also exhibited a reasonably linear trend up to 100% of the applied design load as 
shown in Figure 12. Unlike the strain data for the base brackets, it was not possible to ascertain peak 
strain readings for the left knee brackets. This was a result of the cladding failures having an influence 
on the strain gauge results. These failures affected both the right and left knee bracket strain gauge 
recordings and as a result, no refinement of the material thickness was conducted for the knee brackets. 
 
The bending moment results for the 3rd, 5th and 7th frame apex brackets did not follow a linear trend 
(see Figure 12). The behaviour of these brackets was quite erratic and was likely to be due to the 
various modes of failure that occurred throughout the destructive test.  As shown in the other load 
cases, it was found that the moments in the 3rd and 7th frame apex brackets were negative while the 5th 
apex bracket moments were positive. This change in direction of bending moment was due to the extra 
restraint provided by the gable end walls. It was also noted that a strain gauge recording was very large 
in Frame 7 apex bracket (2558 micro strain). This value was larger than the first yield strain value 
(1750 micro strain) and indicates that local yielding had occurred in this apex bracket. This large strain 
result was caused by the extra load on this bracket due to the bolt pull-through failure in the adjacent 
apex bracket. Therefore based on the strain results it was found that a larger apex bracket thickness of 
2.2 mm is required to withstand the design cross wind load based on an ultimate wind speed of 41 m/s. 
 Many cladding failures occurred during the destructive test of the structure while subjected to the 
destructive load case. The first failure occurred at 50% of the design load and more failures continued 
to 130% of the design load. It could be clearly observed that by 80% of the design load the test 
structure showed many signs of distress. Some of these signs included local buckling and large 
deflections of the cladding panels, as well as distortional buckling. Figures 14 (a) to (d) show the 
observed strength and serviceability failures of the building components during the destructive test. 
                   
 
                 (a) Local buckling of webs in the cladding rib  (b) Local buckling of pan to rib interface 
 
     
         (c) Large rear gable end wall deflection      (d) Large pan deflection 
Figure 14:  Strength and Serviceability Failures Observed During the Destructive Test 
 
The destructive tests have shown that the critical element governing the strength of the new building 
system is the material thickness used for the cladding panels. The material thickness of 0.42 mm (BMT 
G550) was found to be inadequate for the desired wind rating. For the cladding panels to be adequate, 
the internal strain in the cladding panels must not exceed their first yield limit (2750 micro strain). To 
achieve this, it was determined that a material thickness of at least 0.8 mm (BMT G550) is required. 
This increase in material thickness would eliminate the inelastic cladding failures, and help reduce or 
eliminate the following: elastic local buckling and distortional buckling, the extremely large structural 
vertical deflections, and the large local deflections on the rear gable end wall. 
 
The destructive test has shown that the test structure in its present state is not suitable for an ultimate 
design wind speed of 41 m/s. The new cold-formed steel building system in its tested state was only 
structurally adequate up to 40% of the ultimate design cross wind load based on a 41 m/s wind speed. 
Using simple calculations, it was found that the new building system is only suitable for an ultimate 
design wind speed of 21 m/s. This paper has only given the important results from the full scale tests 
as its remaining sections are to be used to give the essential details of finite element analyses. Full 
details of the full scale tests are given in Darcy (2005). 
 
4. FINITE ELEMENT ANALYSES 
 
To conduct a finite element analysis based study, HKS/Abaqus 5.8 (HKS, 2005) was used. Patran 
2000 was used for the model generation and for the visualisation of the results. Two distinct model 
types have been created; strip models and full models. The strip models only model one bay of the 
building system whereas the full models model the whole building system (see Figure 15).  This paper 
presents the details and results for the strip model. Details of the full model and the results are given in 
Darcy (2005). 
 
 
Figure 15:   Finite Element Models 
Strip Model Full Model 
4.1 Details of Strip Model with Complex Contact Conditions 
 
The strip model with complex contact conditions is a complex finite element model which models the 
contact between the overlap of the ribs of the cladding panels and the contact between the bottom 
cladding panel and the moment resisting brackets. An overall view of this model is shown in Figure 
16. As the brackets, the top and bottom cladding panels were modelled as separate entities, the 
nominal base metal thickness of these components were used, ie. 0.42 mm for all cladding panels and 
1.5 mm for the brackets. Sixty MPC tie elements were used at appropriate locations to simulate the 
bolted connections, which connected the roof cladding to the brackets. 
 
                                     
Figure 16: Overall View of Strip Model with Complex Contact Conditions 
 
To accurately calculate the stress in the high stress areas such as at the brackets and the ribs of the 
cladding panels, S4R5 quadrilateral shell elements with a dense mesh and an element size of 5 mm x 
10 mm were used for the brackets and for the ribs at the ends of the cladding panels. A coarser mesh 
was used for the pans of the cladding panels. Triangular STRI35 shell elements were used in the 
transition zone from the fine to coarse quadrilateral elements as shown in Figure 16. To simulate the 
cast-insitu base brackets of the test structure, fixed base connections were provided by restraining all 
Symmetry 
YZ 
Fixed Base 
Connections
six degrees of freedom at the bottom nodes of the base brackets. Symmetry of the YZ plane was also 
provided to the outside free nodes of the mesh on the cladding panels. 
 
4.2 Analysis Details 
 
Full-scale tests of the building system showed that the test structure underwent large structural 
deformation with the application of load. Therefore, to take into account this geometric change, non-
linear analyses of the finite element models were performed. Elastic bifurcation buckling analyses 
were also conducted, and the first eigenvalue-buckling estimate was used for the initial geometric 
imperfections, which were included into the non-linear analyses of the finite element models. The 
inclusion of residual stress into cold-formed steel elements can be extremely difficult and complicated, 
as generally there is a lack of knowledge about the initial state of a cold-formed steel member. As 
geometric imperfections generally have a greater influence on the ultimate load than residual stresses, 
and the fact that no data for the residual stress in the cold-formed cladding panels and brackets were 
available, no residual stresses were included in this study. Both elastic and plastic material properties 
of the steel used in the test structure were included in the finite element analyses. The modulus of 
elasticity (E) and the Poisson’s ration (v) were taken as 200,000 MPa and 0.3, respectively. An elastic 
perfect plasticity assumption was used with a Mises/Hill yield criteria. The yield strengths were 
determined from tensile test coupons in accordance with the relevant Australian Standard. 
 
4.3 Analysis Results 
 
The analytical deflections for the non-destructive cross wind load case are shown in Figure 17, and are 
compared with the average experimental deflections.  For the vertical deflection of the apex bracket, a 
reasonable correlation between the numerical and experimental results is found (52 mm compared with 
68 mm). However, for the horizontal deflections of the windward and leeward knee brackets, a poor 
correlation is observed. This is particularly true for the leeward knee bracket in which the numerical 
model does not even predict the correct direction of the deflection, ie. -7.9 mm compared with 10.8 
mm. This is a result of the strip model not including the effects of diaphragm action. For the windward 
knee bracket, the numerical results overestimated the experimental horizontal deflection, ie. -15.4 mm 
compared with -28.5 mm, and similarly to the deflection of the leeward knee bracket.  Once again, this 
is the result of the numerical model not including the effects of diaphragm action. 
00.1
0.2
0.3
0.4
0.5
0.6
0.7
0 10 20 30 40 50 60 70 80
Vertical Deflection (mm)
A
pp
lie
d 
Lo
ad
/D
es
ig
n 
Lo
ad
FEA Apex Exp Apex
  
0
0.1
0.2
0.3
0.4
0.5
0.6
0.7
-40 -30 -20 -10 0 10 20
Horizontal Deflection (mm)
A
pp
lie
d 
Lo
ad
/D
es
ig
n 
Lo
ad
FEA Left Knee
Exp Left Knee
FEA Right Knee
Exp Right Knee
 
Figure 17: Vertical and Horizontal Deflection Results 
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Figure 18: Membrane Stresses for the Windward Base Bracket 
 
Numerical membrane stresses at the ribs and flanges for the windward base and knee brackets are 
shown in Figures 18 and 19, respectively, and are compared with experimental values. It is shown that 
the behaviour at these brackets is quite linear up to 60% of the design load. For the stresses in the 
windward bases shown in Figure 18, the numerical results have a reasonable agreement with the 
experimental results. However, the numerical results are slightly greater. This trend was also seen for 
the rib membrane stresses of the windward knee bracket, and is a result of the increased horizontal 
deflection of the windward knee bracket which in turn was due to the numerical model not including 
the effects of diaphragm action. Figure 19 shows that the numerical flange membrane stresses do not 
correlate with the experimental results. The numerical model indicated that the membrane stresses in 
the area of the flange where the experimental stresses were recorded were small and varied from about 
-10 MPa to +20 MPa in the close vicinities. Therefore, the likely cause of the discrepancy in the 
numerical and experimental results for the flange stress of the windward knee bracket is that the strain 
gauge on the test structure was not placed precisely. 
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Figure 19: Membrane Stresses for the Windward Knee Bracket 
Figure 20 compares the local buckling deformation of the cladding panels at the windward knee 
bracket of the numerical model and the test structure. The location of the local buckling deformation is 
similar for both the full-scale test and the numerical model. This local cladding failure was the first 
failure mode in the experimental test and the numerical model, indicating that the numerical model is 
capable of predicting the failure mode of the new building system.  Even though the finite element 
model can conservatively predict the stresses of the windward brackets (highest stress region) and the 
first failure mechanism, it can not predict the sway of the test building as this model does not include 
the effects of diaphragm action. As a result, finite element models of the full building system are 
needed to include the effects of diaphragm action to more accurately predict the sway and stress levels 
of the test structure (Darcy, 2005).  
 
    
Figure 20:   First Failure Mode in Finite Element Model and Full Scale Test 
 
 
5. IMPROVEMENT OF EXISTING BUILDING SYSTEM 
 
After the completion of the experimental destructive tests, it was evident that this building system had 
many shortcomings. The most critical shortcoming of the building system was its inability to 
adequately carry the design loads corresponding to an ultimate design wind speed of 41 m/s. Many 
serviceability shortcomings were also observed. These were seen as extremely large global deflections 
and were outside the suggested deflection limits given in AS 4100 (SA, 1998). Local elastic buckling 
deformations of the flanges and webs of the ribs of the cladding panels were also observed, as well as 
distortional buckling of the bottom cladding panel. To overcome these shortcomings, two solutions are 
recommended.  The first solution is to improve the original building system by simply increasing the 
relevant component sizes, and the second solution is to develop a new improved building system, 
based on the same construction philosophy as the original building system (i.e. constructed primarily 
from cladding). 
 
In the first solution the thickness of the cladding panels was increased in order to increase the 
structural strength and stiffness, decrease the local and global deformations and delay or eliminate the 
observed buckling modes. Numerical results from this investigation concluded that 0.8 mm BMT 
cladding panels were required to carry safely the design load based on an ultimate design wind speed 
of 41 m/s (Darcy, 2005). This means an increase of 91% in the total weight of steel over the original 
building system using 0.42 mm BMT cladding panels. Therefore the cost of the improved building 
system may be approximately twice that of the original building system. The savings in building costs 
over a conventional portal frame building will also be lost.  Thus the first solution does not provide 
any advantages over a conventional portal frame building. 
 
The second solution was based on developing a new system that overcomes the shortcomings of the 
original building system whilst limiting any increase in the total weight of steel to a minimum so that it 
still has a clear weight advantage over a conventional portal frame structure. To achieve this, the new 
improved cold-formed steel building system will need to be primarily constructed from cladding 
similar to the original building system. Introducing frames and/or purlins and girts into the structural 
system is not considered an option, as this would be changing the structural system back towards a 
conventional portal framed structure, which is not the purpose of this research project.  As mentioned 
above the new improved building system will need to be significantly improved in the areas of overall 
structural strength and stiffness. Both of these areas of improvement were addressed to achieve a 
stiffer and structurally adequate cold-formed steel building system. 
 
In the second solution it was decided to use a cladding thickness of 0.42 mm BMT as used in the 
original building system. However, a more efficient use of the cross-sectional area of the cladding 
panels was adopted. Instead of overlapping the ribbed sections of the cladding panels as adopted in the 
original building system, it was decided to invert every second panel so that the effective depth of the 
ribbed sections of the cladding panels would be twice that of the original system.  This new profile is 
shown in Figure 21.   
 
 
Figure 21: Cladding Profile of the Improved Cold-Formed Steel Building System 
 
The major benefit of this new profile is that the second moment of area has been significantly 
increased without significantly increasing the cross-sectional area.  As a result, the overall weight of 
steel in the new improved building system is not significantly increased when compared with the 
original building system. The new building system is significantly stiffer than the original building 
system and has increased structural capacity. Results of the numerical model for this new improved 
cold-formed steel building system are shown and discussed next. 
 
5.1 Numerical Results of the Improved Building Systems 
 
The numerical deflections for the destructive cross wind load case of the improved building systems 
(the 0.8 mm BMT model and the new system model) are shown in Figure 22, and are compared with 
the corresponding results for the destructive cross wind load case of the original building system (0.42 
mm BMT model). Figure 22 shows that the results for the improved systems generally follow a linear 
trend. It is also observed that the maximum load step achieved were 2.04 and 2.227 times the design 
wind load for the building system with an increased thickness (0.8 mm BMT) and the new building 
system, respectively. The original model only reached at load step of 0.84 times the design wind load 
which correlated well with the first major cladding failure that occurred during the destructive tests. 
This relates to an increased structural capacity over the original building system of approximately 
143% and 165% for the two improved systems. The results also show that the improved building 
systems are significantly stiffer than the original building system. The building system with an 
increased cladding thickness (0.8 mm BMT model) and the new building system were approximately 
120% and 250% stiffer than the original building system. This shows that the new system is 
significantly stiffer than the other two building systems.   
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Figure 22: Vertical and Horizontal Deflection Results 
 
 
Figure 23: Top and Bottom Cladding Results for the Original Building System 
 During the destructive experimental test of the original cold-formed steel building system, significant 
local buckling at the windward knee bracket, elastic local buckling of the ribbed sections of the 
cladding panels, distortional buckling of the bottom cladding panels, and excessive local and global 
deformations were observed. The numerical model of the original building system exhibited the same 
as shown in Figure 23. The numerical results for the improved building systems (the 0.8 mm BMT 
model and the new system model) showed a significant reduction in the extent of local buckling, 
distortional buckling, and global deflections (Darcy, 2005). The new improved building system did not 
suffer from distortional buckling as it included a closed section, in comparison to the open section of 
the other two building systems. 
 
The numerical results for the improved building systems have shown that it is possible to improve the 
original building system to withstand the design load corresponding to a wind speed of 41 m/s. Even 
though the building system with an increased cladding thickness was adequate for the desired design 
wind speed and significantly reduced the extent of local buckling, distortional buckling and global 
deformations, it came at a significant cost in the total weight of steel in the building system, ie. 
approximately twice that of the original building system. This significant increase in weight gives it no 
real economic advantage over a typical portal frame building system, and as a result, it unlikely to be 
adopted in the market place. However, the new cold-formed steel building system developed in this 
research has been shown to be adequate from both structural and serviceability points of view for a 
design wind speed of 41 m/s, while providing significant economic advantages over a typical portal 
framed structure. This system can gain further strength if the bracket lengths are increased or made 
continuous as in a portal frame. Further research and development work is needed to finalise the 
details of all the components including the connections of the new building system.   
 
6. CONCLUSIONS 
 
This paper has presented the details of an innovative cold-formed steel building system and a summary 
of the full-scale tests and finite element analyses completed to date. A critical failure at the bolted 
connection in the three central knee brackets has shown that the test structure in its present form is not 
suitable for a design load based on an ultimate design wind speed of 41 m/s. The results have shown 
that the test structure has a fixed base connection and that the structure transfers loads to the 
foundation via frame action, while some amount of diaphragm action is present for the cross wind load 
case. The ribbed sections of the cladding panel are used as a load path for the moment to transfer from 
brackets to the foundation, and that one bolt to restrain the ribbed sections of the cladding panels 
together is not sufficient to force the overlapped section to behave compositely. The test structure 
suffers extremely large deflections and is unlikely to be accepted by the engineering fraternity. Finite 
element modelling was able to simulate the full scale test deflections and stress results reasonably well, 
and has been utilised to improve the original building system. A new improved cold-formed steel 
building system which is adequate for a design wind speed of 41 m/s and which has significant weight 
savings has been proposed and discussed. 
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